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ABSTRACT: During recent seismic events, non-ductile failure modes
of many existing structures occurred. Retrofit of these structures before
the earthquake provides a feasible cost-effective approach to reduce
the hazard to occupants' safety and owners' investment. The response of
two reinforced concrete frames was examined under seismic excitation.
The 9-storey and 18-storey frames are part of the lateral load resisting
system in two office buildings that were designed according to the 1960s
code provisions. The frames were analyzed assuming flexible joint
response by considering the joint shear deformation or assuming
traditional rigid joints. Two rehabilitation techniques were proposed to
improve the dynamic response of these frames. Fibre reinforced
polymer (FRP) jackets were used as a local rehabilitation technique to
enhance the joint shear strength and ductility. As another option,
X-steel braces were installed in the middle bay of the frame along its
height as an alternate lateral load resisting system. For each frame,
failure sequence and interstorey drift were examined. It was found
that FRP wrapping eliminated the brittle failure modes without
significant change in the structural response. However, steel bracing
significantly contributed to the structural stiffness and reduced the
maximum interstorey drift of the frames.
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1. Introduction

Recent earthquakes such as the 1989 Loma Prieta,
1994 Northridge, 1995 Hanshin-Awaji (Kobe) and the
1999 Kocaeli (Turkey) [1] tested the vulnerability of
existing reinforced concrete (RC) buildings to strong
ground motions. Failure of beam-column joints in
concrete moment resisting frames was identified as
one of the leading causes of collapse of such
structures. Therefore, when assessing the response of
an existing structure, the conventional rigid joint
assumption, which ignores the joint shear deformation
and therefore the potential joint shear failure, is
invalid. The joint behaviour is governed by the joint
shear deformation and the bond behaviour of beam
and column reinforcement bars. When the beam
reinforcement are well anchored at the beam-column
joint, high shear stress is transferred to the joint zone,
which requires adequate amount of joint shear
reinforcement. On the other hand, if the beam bottom
reinforcement were inadequately anchored, bond-slip

of the bars would occur which reduces the shear
stress transferred to the joint. However, it would
result in a fixed end rotation at the beam-joint
interface.

Numerous experimental studies were carried out to
investigate the behaviour of non-ductile beam-column
subassemblies [2-4]. Feasible local rehabilitation
techniques to upgrade the joint response using steel
and FRP jacketing were examined [5-8]. However,
analytical studies are limited. A joint element that
accounts for the fixed end rotation at the beam-
column interface due to bond-slip of the reinforcement
steel bars was presented [9]. The model was success-
ful but did not include joint shear effects. Ghobarah
and Biddah [10] proposed a joint model consisting of
two flexural springs in series. The model oversimpli-
fied the bond-slip behaviour. Several analytical studies
were carried out on the performance of non-ductile
reinforced concrete frames when rehabilitated using
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X-steel bracing [11-14]. Steel braces may be installed
in reinforced concrete moment resisting frames to
provide an alternate lateral load resisting system. Yet,
no similar studies for frames rehabilitated with fibre
reinforced polymer (FRP) composites exist. The
objective of this study is to examine and compare the
effect of two rehabilitation techniques; FRP joint
jacketing and X-steel bracing on the response of RC
frames. The analysis takes into account the effect of
joint deformation on the global dynamic response of
the frames.

2. Design of Existing Frames

Two reinforced concrete moment resisting frame
structures, 9-storey and 18-storey, were selected for
the analysis. The buildings measured 18m by 30m in
plan, with a bay width of 6m (3 bays by 5 bays) and
floor height of 3.6m. The frames represent typical
office buildings that were constructed in accordance
to pre-seismic codes [15]. Concrete compressive
strength of 21MPa and steel yield strength of
300MPa were used. Non-ductile reinforcement
details in the building include beam bottom
longitudinal reinforcement anchored 150mm into the
joint zone and no transverse reinforcement in the
beam-column joints. An interior frame was selected
for the analysis. The concrete dimensions and the
reinforcement details of the frame elements are
shown in Figure (1). The weight due to dead load on
the frames was calculated to be 663.5kN/floor. The
periods of free vibration of the first two modes
were determined to be 1.51 and 0.54s for the 9-storey
frame and 2.67 and 0.96s for the 18-storey frame,
respectively. A critical damping ratio of 2% was
assumed for all the modes of vibration of the two
frames regardless of the joint detailing. The mass and
stiffness proportional Rayleigh damping approach
was used in the analysis.

3. Design of Rehabilitated Frames

Two rehabilitation techniques were proposed. The
first technique was applied to eliminate the non-ductile
failure modes such as joint shear failure and steel
bars bond-slip. Three uni-directional glass fibre
reinforced polymer (GFRP) sheets were applied to
the beam-column joint to account for the missing
transverse reinforcement. The properties of the
composite sheets are:

Modulus of elasticity = 71GPa,

Ultimate strength = 1700MPa

Figure 1. Section dimensions and reinforcement details of the
RC frames.

Ultimate strain = 2.0%,

Design thickness = 0.353mm

The problems associated with beam bars bond
slip and insufficient anchorage of the bottom beam
bars in the joint zone, are not included in the
model as a possible failure mode. The reason is that
it was demonstrated [16] that it is possible to
eliminate the bond slip by transferring the beam
bars tensile forces using threaded rods to the
column by a plate in bearing. The technique
significantly improved the ductility and strength of
the beam-column joint and can be applied to exterior
as well as interior joints.

In the second rehabilitation technique, concentric
X-steel bracing was considered in the middle bay
along the frame height, as shown in Figure (2). The
brace members were selected as round hollow steel
section (HSS 114 x 8) and were uniformly distributed
along the frame height. The brace properties are:

E = 200,000MPa,     fy = 350MPa,     Pc/Py = 0.415
Pr/Pc = 0.33,            r = 37.7mm,       KL/r = 113

Where E is the modulus of elasticity of steel, fy is
the steel yield strength, Py is the brace yield force in
tension, Pc is the brace capacity in axial compression,
Pr is the post-buckling strength, r is the radius of
gyration of the cross section, and KL is the effective
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Figure 2. Rehabilitation technique using concentric X-steel
bracing.

brace length.
As example, details of a possible connection

between the concentric X-bracing and the RC frame
members are shown in Figure (3). The force in the
brace is transferred to the frame using steel plates
attached to the concrete columns and beams. The
steel plates surrounding the beams are anchored
through the concrete section while the steel plates of
the column are welded together. The force in the
brace member was transferred to the beam and the
column plates through a gusset plate [13]. There are
other connections that can be considered, however,
the analytical model used is not sensitive to the

Figure 3. Connection detail of the bracing member to the
existing concrete frame elements [13].

connection details.
The periods of vibration of the concrete frames

rehabilitated using steel braces were found to be
approximately half those of the frame with flexible
joints.

4. Analytical Model

In the analysis, the concept of macromodeling is
adopted. The flexural elements are modeled as elastic
beam-column element with inelastic concrete and
steel springs at their ends to capture the inelastic
flexural behaviour. The beam-column joint is
represented by four pin-connected rigid elements,
which are diagonally connected by two inelastic
shear springs.

4.1. Flexural Elements

A multi-spring model of concrete flexural elements
was adopted [17]. The flexural member is represented
as an elastic beam-column element with five zero-
length inelastic springs at the member ends. Each of
the four exterior springs represents the stiffness of
the effective reinforcing bars and the surrounding
concrete in compression. The spring at the centre
represents the effective concrete in the central region
of the section. The flexural element is represented by
an elastic beam-column element with three steel and
three concrete springs at each end. The interaction
between the steel and the surrounding concrete is
included in the steel spring behaviour. The hysteretic
model of the steel spring [18] shown in Figure (4),
was adopted. The monotonic response of the spring is
represented by an initial elastic stiffness Ks to the
steel yield force Psy, then a post-yield stiffness rKs to
the steel maximum force Psu. To represent the
post-slip failure behaviour of the steel spring, the
steel force Ps corresponding to steel displacement
ds is:
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where dsu is the steel spring displacement that
corresponds to the maximum force in the spring.

Rso is the ratio between the residual and maximum
force in the spring.
αs is the softening factor.
The effective area of the exterior concrete

spring, Ace is determined as the compression zone at
ultimate moment. The effective area of the central
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spring, Aci is written as:

∑−−= tscegic   
     AAAA 2                                          (2)

where Ag is the gross cross-sectional area.
∑ ts 

 A is the sum of steel bars cross-sectional
areas.

The yield force of the concrete spring, Pcy that
corresponds to concrete ultimate stress, equals:

'85.0 cchcy fAkP     =                                                (3)

where Ac = Ace for exterior spring, and Ac = Aci for
interior spring.

kh is the confinement coefficient ,'
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strengths, respectively.

The plastic deformation of the effective concrete
element is postulated to represent the accumulated
crushing behaviour of the concrete over the plastic
hinge length. The concrete spring yield displacement
dcy that corresponds to the spring yield force is
determined as the integration of the strain at ultimate
condition over the member length. The hysteretic
model of the concrete springs [18] shown in
Figure (5), was adopted. A parabola represents the
monotonic response of the concrete spring in
compression until the spring yield force is reached.
A straight line represents the post yield response.
The spacing between exterior springs is determined
such that the inelastic springs produce the same yield
moment of the original section.

4.2. Beam-Column Joints

The kinematic joint model proposed by Youssef and
Ghobarah [18,19] was adopted. In this model, the
joint core is represented by four rigid pin-connected
elements Two diagonal shear springs connect the

corners of the joint core. During the analysis, the
joint shear force-shear deformation relationship is   pre-
dicted. The force in each of the diagonal springs,  F
can be calculated from simple equilibrium as:

φ=
     sco

V
F j

2                                                         (4)

where Vj is the joint shear force, and φ is the spring
inclination.

The deformation of the spring can be estimated
from the joint shear rotation using simple geometry.
The hysteretic response of the shear springs is
shown in Figure (6).

Modeling of the FRP jacket took into account
the increased confinement effect on the concrete
strength and the shear force resistance of the fibres
that cross the shear cracks.

Figure 4. Hysteretic model for steel spring [18].

Figure 5. Hysteretic response for concrete spring [18].

Figure 6. Hysteretic response for shear spring [18].
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4.3. Steel Brace Model

Several models have been developed to represent
the inelastic hysteretic behaviour of steel brace
members. These models include finite element
models [20] and macro models [21,22]. In the
current study, the Jain and Goel model [23] shown
in Figure (7) was selected for its simplicity to
represent the buckling behaviour of steel braces.

4.4. Verification Example

In order to evaluate the proposed modeling approach,
the experimental response of a 2-storey concrete
frame [25,26] was compared to the analytical
prediction. Shake table test of half-scale concrete
frame was performed. The frame consisted of two
bays 2.50m wide and 1.50m high. The exterior
columns width and depth were 130 and 170mm,
respectively, whereas the interior columns width and
depth were 130 and 180mm, respectively. All
columns were reinforced using 4 # 10 longitudinal
bars  (nominal diameter 11.3mm). The width and
depth of the beams at first floor were 150 and 160mm,
respectively, whereas the beams at the roof had a
width of 140mm and a depth of 150mm. The N04W
component of the accelerogram recorded in
Olympia, Washington, during the April 13, 1949,
Western Washington earthquake was chosen as the
base motion input for the shake table test. The record
was scaled to a peak horizontal ground acceleration
(PGA) of 0.42g. Figure (8a) shows the roof
displacement time history as recorded from the
shake table test versus the analytical prediction
using RUAUMOKO software. Figure (8b) shows
the analytical prediction of the roof displacement
using the adopted modeling technique in the current
study. It was found that the proposed modeling
technique agrees well with the experimental results
in terms of the predicted roof displacement, however,
it overestimated the response frequency.

5. Frame Response

The dynamic time history analyses of the 9-storey and
18-storey frames were performed using a modified
version of the computer program PC-ANSR. The
masses are lumped at the beam-column joints. The

Figure 7. Hysteretic model of steel bracing members [23].

Figure 8. Roof displacement time history of two storey concrete frame.

In  this Figure, Py and ∆y represent the yield
strength and displacement of the brace in tension,
Pc represents the buckling load under monotonic
loading and it can be reached once during the entire
loading history. The post buckling response is
represented by negative stiffness (segment 1-2)
until the residual post-buckling capacity Pr at a
compression displacement equals five times the
yield displacement, is reached. The built-in brace
element in the computer program PC-ANSR [24]
was used to represent the brace members after
appropriate selection of the element parameters to
reduce its general hysteretic model to the Jain and
Goel model.
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dynamic analysis of the building when subjected to
ground motion was carried out by solving the
equation of motion using step by step Newmark-Beta
integration procedure. Integration time step of 0.001s
was used. The S00E component of El Centro record
of the 1940 Imperial Valley earthquake, California was
selected as input ground excitation after being scaled
to different PGA values.

5.1. The 9-Storey Frame

Figure (9) compares the roof displacement time
history of the 9-storey frames, when subjected to
the ground motion scaled to PGA levels of 0.2g to
0.4g. The maximum roof displacements during the

loading history are listed in Table (1). From the table,
it is observed that even with significant inelastic
action occurring at the highest ground acceleration
level the resulting displacements are approximately
proportional to the levels of acceleration. It is
observed that at different ground motion levels, the
steel bracing significantly reduced the roof
displacement to about 30% of the displacement of
the frame with flexible joint assumption. It was also
observed that the FRP rehabilitation technique
did not significantly alter the roof displacement
response. During the first 10 second of the loading
history, the response of the existing frame with
flexible joint assumption was very similar to that of
rigid joint assumption and that rehabilitated using

Frame Model 
 
Maximum Roof Displacement 

for Various PGA Levels 
(mm) 

 
    

Maximum Interstorey Drift  
for Various PGA Levels 

(%) 
 

 0.1g 0.2g 0.3g 0.4g 0.1g 0.2g 0.3 g 0.4 g 

 Flexible Joint Frame 128.5 244.9 357.2 480.1 0.62 1.17 1.71 2.27 
 Rigid Joint Frame 123.8 250.3 376.9 502.5 0.53 1.21 1.80 2.41 
 FRP-Rehabilitated Frame 130.1 252.3 368.4 481.7 0.63 1.20 1.81 2.24 
 Steel Braced Frame 37.9 85.5 123.3 138.4 0.22 0.34 0.44 0.64 

 

Table 1. Response of the 9-storey frames.

Figure 9a. Roof displacement response of 9-storey frames
when subjected to El Centro scaled to 0.2g.

Figure 9b.Roof displacement response of 9-storey frames
when subjected to El Centro scaled to 0.4g.
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FRP composites. Following this, the deflection of the
frame with rigid joint assumption was much lower
than the other two frames due to the damage in the
joint zone of the existing frame and the concrete
crushing of some flexural elements in the FPR-
rehabilitated frame.

The envelopes of lateral displacement for the
9-storey frames at maximum roof displacement are
shown in Figure (10). The response of the flexible
joint frame and FRP-rehabilitated joint frame almost
coincide. This is because the FRP jacket does not
change the frame stiffness significantly. The rigid

frame experienced slightly more deflection than the
flexible and the FRP-rehabilitated frames at different
PGA levels. This is because the frequencies of free
vibration of the frame with flexible joint assumption
are low when compared with the frequency content of
the selected ground motion. The lateral deflection
profile of the frame with X-steel braces reflects the
high rigidity of the frame and the predominance of the
first mode of vibration.

Figure (11) shows the maximum interstorey drift
at each storey level of the 9-storey frames. The frame
with steel bracing showed almost equal interstorey

Figure 11. Maximum interstorey drift of the 9-storey frames due to El Centro earthquake.

Figure 10. Deflected shape of the 9-storey frames at maximum roof displacement when subjected to ground motion of different
PGA levels.
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drift at different storey levels regardless of the level
of ground motion. The maximum interstorey drift for
the frame with rigid joint assumption occurred at the
fifth and the sixth storey levels due to concrete
crushing of some beams as shown in Figure (12). The
maximum interstorey drift for the frame rehabilitated
using FRP composites was found to occur in the
second, fifth and sixth storey levels where concrete
crushing of some exterior column and exterior beams
took place as shown in Figure (12). The frame with
flexible joint assumption experienced a maximum
interstorey drift level of 2.27% at a ground excitation
of 0.4g, which exceeds the limit of 2% that is
recommended by the National Building Code of
Canada [27] to control damage and avoid structural
instability. The steel braces reduced the maximum
interstorey drift to 0.64% at a ground excitation
level of 0.4g, which is 28% of interstorey drift
experienced by the existing frame.

Shear failure of the interior joints of the flexible
frame occurred at the first six storeys then progressed
to the top three storeys with increasing ground
motion level, as shown in Figure (12). When using
FRP jackets to strengthen the joint shear capacity,
joint shear failure was eliminated and concrete
crushing in some columns and beams occurred. The
frame rehabilitated using steel braces experienced
some damage in exterior joints with some concrete
crushing in the top storey columns. In general, the
rehabilitated frames using FRP composites or steel
braces showed more controlled damage pattern
than that of the existing frame.

5.2. The 18-Storey Frame

Figure (13) compares the roof displacement time
history response for the 18-storey frames. Table (2)
summarizes the results of the maximum roof displace-
ment and interstorey drift of these frames. When
comparing the performance of a frame with flexible
joint assumption to that of rigid joint assumption, the
characteristics of the ground motion have significant

Figure 12. Damage pattern for the 9-storey frames.

Table 2. Response of the 18-storey frames.

Maximum Roof Displacement  
for Various PGA Levels  

(mm) 

Maximum Interstorey Drift  
for Various PGA Levels  

(%) Frame Model 

0.1g 0.2g 0.3g 0.4 g 0.1g 0.2g 0.3g 0.4 g 
 Flexible Joint Frame 110.5 221.0 331.4 442.0 0.65 1.31 1.96 2.61 
 Rigid Joint Frame 80.8 158.1 245.7 326.6 0.28 0.50 0.86 1.07 
 FRP-Rehabilitated Frame 81.9 168.2 255.9 343.9 0.26 0.60 0.87 1.16 
 Steel Braced Frame 118.4 210.0 233.7 275.7 0.30 0.52 0.63 0.72 

 

effect on the results. A flexible frame has longer
natural period than a rigid frame and therefore it
attracts less inertia force when subjected to ground
excitation. On the other hand, a flexible frame
would have less global stiffness than a rigid frame
and thus under the same load level would experience
more deflection. Another factor that affects the
deflection is when joints are assumed more flexible
the frame behaviour approaches that of a flexural
beam. Rigid joint assumption causes the frame to
behave more like a shear beam. A flexural beam has
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less displacement at the lower stories than the shear
beam and vice versa near the top. Therefore, under
seismic load the interstorey drift of the flexible
frame is not necessarily greater than that of the rigid
frame. The frame with rigid joint assumption

Figure 14. Deflected shape of the 18-storey frames at maximum roof displacement when subjected to ground motion of different
PGA levels.

Figure 13a. Roof displacement response of 18-storey frame
when subjected to El Centro record scaled to 0.2g.

Figure 13b. Roof displacement response of 18-storey frame
when subjected to El Centro record scaled to 0.4g.

experienced more lateral deflection than the frame
with flexible joint at different storey levels except the
top two storey levels, as shown in Figures (14) and
(15). Shear failure of exterior joints of the top stories
in the flexible frame occurred, as shown in Figure (16),



92 / JSEE: Summer 2005, Vol. 7, No. 2

T. El-Amoury and A. Ghobarah

Figure 15. Maximum interstorey drift of the 18-storey frames due to El Centro earthquake.

Figure 16. Damage pattern for the 18-storey frames.

and caused excessive lateral deformation to the
frame. When comparing the two rehabilitation
schemes, the FPR-rehabilitated frame experienced
less roof deflection than the frame strengthened
using steel braces at ground motion level of 0.1g
and 0.2g. However, at peak ground acceleration of
0.3g, shear failure of the exterior joints at the
fourteenth to the seventeenth storeys of the FRP
rehabilitated frame caused excessive deflection of
the frame as compared to steel braced frame. In
general, the roof displacements of the two rehabilitated
frames were less than that of the flexible frame. At
PGA of 0.4g, the top storey displacements of the
flexible frame, FRP-rehabilitated frame, and the steel
braced frame were 442.0, 343.9 and 275.7mm,
respectively.

Figure (15) shows the maximum interstorey drift
at each floor level for the 18-storey frames. The
rehabilitated frames experienced a maximum
interstorey drift of 0.72% for steel braced frame at
the second storey level and 1.16% for FRP-
rehabilitated frame at the thirteenth storey level. The
flexible frame showed an interstorey drift of 2.6% at
the roof storey at ground excitation of 0.4g. In
general, the rehabilitated frames experienced inter-
storey drift limits less than that of the existing
flexible frames, regardless the ground excitation
level. The two rehabilitation schemes significantly
improved the dynamic response of the 18-storey
frame in terms of lateral deflection, interstorey drift
and damage pattern.
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6. Conclusions

In this study, the effect of joint deformation on the
global dynamic structural response was evaluated. The
effect of rehabilitation techniques using FRP
composites or steel braces on the response was
investigated. On the basis of the results obtained
from the analysis, the following conclusions are
arrived at:
v Assuming rigid joints in the analysis give

different damage pattern and interstorey drift
than what are obtained when joint deformation
is accounted for. Accurate assessment of
damage patterns in existing structures is needed
for determining the optimum locations for joint
strengthening.

v The rehabilitation using FRP composites does
not significantly alter the dynamic response of
the frame. However, FRP-strengthening
significantly changes the damage location and
pattern in the frame. This is because the FRP
composite materials do not significantly affect
the initial stiffness of the concrete members
but improves the strength.

v The rehabilitation technique using steel braces
is very effective in increasing the frame stiff-
ness by providing alternate stiff lateral load
resisting system. However, non-ductile failure
pattern such as joint shear failure may occur at
some locations.

v An integrated scheme using FRP composites
and steel braces might be more efficient for
reducing the frame lateral deflection and
eliminating undesirable non-ductile failure
mechanisms.

v Introducing more flexibility to the frame in
terms of joint shear deformation does not
necessarily result in more lateral deflection of
the frame, particularly in the case of high-rise
structures with long periods of free vibration.
The frame response is highly dependent on the
characteristics of ground motion.

It is noted that the results and the conclusions
presented in this paper were based on limited analysis
performed using one earthquake record scaled to
different PGA levels. The analysis of frames of
various heights using different earthquake records is
needed in order to define the range of applicability of
the conclusions.
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